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SUMMARY

This report is the f ifth and f inal report in a series of reports to provide the Arkansas State

Highway and Transportation Department with detailed procedures for field exploration,

laboratory testing, and design and analysis of bridge foundations.

Recommended procedures for design and analysis of bridge foundations are the substance

of this report. The procedures cover both shallow and deep foundations.

Shallow foundations may fail from loss of bearing capacity or excessive settlement.

Examples of foundation design to prevent loss of bearing capacity are included. Bearing

capacity examples include the effect of: a) footing shape, b) eccentric load, c) inclined

load, d) ground surface slope, e) water table, and f) compressibility. An example for esti-

mation of the settlement due to primary consolidation is also given.

Deep foundations, including piles, drilled shafts, and caissons, get their load capacity

from friction and/or adhesion on the foundation sides and bearing on the end of the founda-

tion. Deep foundation capacity may be estimated by: a) methods based on soil properties,

b) pile driving formula, or c) load tests. Examples of foundation design based on soil pro-

perties and pile driving formula are included.

Procedures for site investigation, laboratory testing, and design and analysis of bridge

foundations are recomrnended for adoption by the Arkansas State Highway and Transporta-

tion Department.
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GAINS, FIND!NGS, AND CONCLUSIONS

Four recommendations, listed below, are suggested for adoption by the Arkansas State

H ighway and Transportation Department.

1. The general bearing capacity equation, with appropriate corrections for compressi-

bility, shape, eccentricity, inclination of load, ground surface slope, and position of

the water table should be used for determining the ultimate load capacity of shallow

foundations.

2. Settlement should be estimated for each footing. The analysis of settlement of foot-

ings on cohesive soils should be based upon consolidation test results. Settlement

of footings on cohesionless soils may be based upon empirical correlations.

3. Preliminary estimates of pile capacity should be done by the limit equilibrium

method. These estimates should be verified at the time of installation by wave

equation analyses or by a comprehensive dynamic formula such as the Hiley for-

mula. Pile load tests should be performed on large jobs and in difficult soil condi-

tions; and the results correlated with the limit equilibrium analysis and driving

resistance.

4. The immediate settlement of piles should be estimated by the load transfer function

approach if no pile load test has been performed. Long term consolidation settle-

ment should be estimated by using the Mindlin solution to determine stresses and

one-dimensional consolidation test results to estimate the settlement.
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I MPL EMENTATI ON STATEMENT

The following procedures are recommended for implementation by the Arkansas State

H ighway and Transportation Department.

SITE INVESTIGATION

It is recommended that AHTD develop and maintain a comprehensive file of soil

data for existing and planned bridge sites. This file should contain not only data

generated by AHTD but also soil maps, geologic maps, and soil data from geo-

technical consultants and other state and federal government agencies.

Preliminary field investigations should include seismic and resistivity surveys,

wherever practical, as well as preliminary borings. The signal-enhancement type of

seismograph is recommended.

The primary objectives of the detailed field investigation should be to define the

soil stratification and to obtain high quality undisturbed samples of the founda-

tion soil. The sampling tools recommended are the Shelby tube sampler, the Oster-

berg piston sampler, and either the Denison sampler or the Pitcher sampler.

lf high quality undisturbed samples cannot be obtained, the in-situ properties

should be assessed by using the quasi-static cone penetrometer. For soft to very

soft clays, the field vane test is also appropriate.

For long term measurements of water levels or pore pressures, a double tube open

system piezometer is recommended.

LABORATORY TESTING

1. The tests recommended for soil classification are the liquid limit, plastic limit and

particle size analysis tests. The wet preparation procedure should be used for any

soil containing clay.

2. Triaxial compression tests should provide the primary means to determine shear

strength. For an undrained analysis involving homogeneous, intact, saturated

clay, unconfined compression tests are acceptable.

3. To assess the stability of embankments constructed on clay shale, repeated direct

shear tests should be performed on the clay shale and the residual strength used in

the analysis.
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CHAPTER I

INTRODUCTION

This report is the fifth and final report of a series of reports to provide the Arkansas

State Highway and Transportation Department with detailed procedures for field exploration,

laboratory testing, and design and analysis of bridge foundations. The reports in this series

are

Arkansas Bridge Foundations: Field lnvestigation

This report is a summary of the state-of-the-art of field investigation procedures which may

be useful in developing data for bridge foundation design.

Arkansas Bridge Foundations: Laboratory lnvesti gation

This report is a summary of the stateof-the-art of laboratory procedures which may be use-

ful in developing data for bridge foundation design.

Arkansas Bridge Foundations : Laboratory Procedures

This report contains detailed laboratory procedures recommended for use by the Arkansas

State Highway and Transportation Department. Several types of laboratory equipment were

evaluated and in some cases, different makes were compared.

Arkansas Bridge Foundations: Field Procedures

This report contains detailed procedures for performing field tests and obtaining samples

recommended for use by the Arkansas State Highway and Transportation Department. The

evaluations of a quasi-static cone penetrometer and geophysical exploration methods are

given in appendices to this report.

lncluded in this fifth report are details of-recommended procedures for design and

analysis of bridge foundations. Chapter ll presents a design and analysis procedure for shallow

foundations and numerous examples of design for the various loading conditions and geome-

tries which may be encountered. Several procedures for the design and analysis of deep

foundations are presented in Chapter lll. Examples of the application of some of these pro-
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cedures are given. The f inal chapter of this report includes recommendations for implementa-

tion of the results of this project.

Specific recommendations cannot be made in some areas because each job site and

soil exploration program presents a unique set of conditions. Two of these areas are the

determination of the types of laboratory tests to be perfomed and the selection of the appro-

priate factor of safety.

Laboratory tests should be selected to duplicate, as closely as possible, the field loading

conditions. The most critical case which is likely to occur should govern the design. For most

foundations, the end of construction and first application of load is most critical and corres-

ponds to undrained loading for clay soils. The appropriate laboratory test to duplicate this

loading would be the unconsolidated-undrained (UU) test. For sandy soils, because of their

greater permeability, the drained (CD) test would be appropriate. Judgement is required in

selecting the test procedure appropriate for silty materials. For stage construction or pre-

loading, the consolidated-undrained (CU) analysis is appropriate for clays, and for long-term

stability the drained (CD) analysis should be selected.

The safety factor should reflect the confidence of the design engineer in the data being

used. lf a test such as the standard penetration test is performed in a somewhat careless

manner, then a high safety factor would be required when using the data. Generally, if a

test procedure accurately measures the property desired and the test is performed with care,

a safety factor of two will be adequate. However, some test procedures give results that are

only approximately correct, and therefore, safety factors of three or more are required. Ap-

proximate design procedures also generally require higher factors of safety than the more

precise methods.

L-2





CHAPTER II

SHALLOW FOOTINGS

Failure of shallow footings results from two causes, settlement and loss of bearing

capacity. Settlement can take place rapidly as in sand which will often settle while

construction is in progress or stowly as in clay. The 183 ft. tower of Pisa, a successful failure,

has been settling since its construction in 1174-1350. Loss of bearing capacity usuallyoccurs

rapidly and may result in destruction of the structure. When loss of bearing capacity occurs,

large footing movements, as much as the footing width, take place. The eight concrete silos

which failed and were reported by Tschebotarioff (1973) are an example (Figure 2-1).

BEARING CAPACITY

Analysis for bearing capacity, or stability, is an analysis of shear failure within the soil

mass. Shear failure, depending on the soil characteristics, may take three forms: punching

shear, local shear, or general shear (Figure 2-2).

Punching shear is characterized by vertical movement of the footing without tilt and

little movement of soil along the sides of the footing (Figure 2-2c). The soil beneath the

footing is forced down in a wedge and the soil below is forced down. Load must be increased

as the failure takes place in order to maintain vertical movement. Compresible sands are likely

to fail in punching shear.

Local shear is often the failure pattern of compressible soils that ean endure targe strains

without plastic flow. The failure pattern has a wedge and slip slrfaces which start at the dge
of the footing. Some soil bulging is visible on the sides of the footing, but, because the soil is

compressible, the slip failure planes never appear at the $rface (See dotted lines in Figure

2'2bl.. An increasing load is required to continue settlement in a local shear failure.

General shear is an extension of local shear and occurs in more rigid soils. The shear zone

propqates outward until a well defined failure plane reaches the surface. Soil heave within the

failure zone is apparent in a general shear failure. Once a failure stress is reached, settlement

continues even if the stress is reduced slightly (Figure 2-2a1. Bx,ause of the mntinued
settlement with no increase in load, general shear failures are rapid and usually result in
destruction of the structure.

The type of failure depends on the retative density or compressibility of the soil and

depth of footing. ln sand, the greater the relative density, the more tikely general shear is to
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develop (Figure 2-3). As relative density is reduced or the depth of footing increases, the more
likely local shear or punching shear is to occur.

Differences between general shear, local shear, and punching shear are reasonably well

understood but no general criteria exists for prediction of the failure mode. Vesic (1g73) has

proposed the rigidity index, l, as a relative measure of compressibility. Application of this
criteria is discussed later in the section titted "compressibility,,.

No exact solution for failure of soil in general shear exists (Meyerhof, 19s5) because

assumptions must be made to simplify the problem. An early solution for a surface footing was

made in 192O by Prandtl but the soil was assumed to be weightless and the footing perfectly

rough. Hencky solved a similar problem for weightless soit with no friction on the base in

1923. Reissner (19241 improved Prandtl's solution by placing the footing below the surface.

At present, bearing capacity can be found by assuming the mil is weightless as far as the
influence of cohesion is concerned and by assuming the soil has no cohesion when evaluating

the effect of weight.

A simple and conservative solution for the bearing capacity of a strip footing in general

shear has developed (credits to Bell, Buisman, Terzaghi, and Meyerhof) from earlier exact
solutions:

vBQo=? NY * 
" 

Nc + q Nq (Equation 2-t )

eo is ultimate bearing capacity
,( unit weight
B footing width
c cohesion
q zurcharge load

o bearing capacity factors which depend on the angte of internal
friction (Table 2-1)

where:

To apply this solution, the real problem must be simplified to that of a surface footing
with a zurcharge load at its sides (Figure 2-4). fnis assumption is conservative because it
neglects shear strength which may exist in soil above the footing. ln many cases, neglecting this
strength is justified because of soil disturbance during construction.

Example 1: A long footing, three feet wide, isplaced attheground surface. Find the ultimate
bearing capacity for a general shear failure if the soil has an angle of internal friction of 20
degrees, cohesion of 300 psf, and unit weight of 100 pcf. Use the bearing capacity factors
suggested by Vesic.

NY,NC,N
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Table 2-'1. Bearing Capacity Factors

NN,
q

(Vesic)

N6

(Terzaghi)

N,

(Meyerhof)

0
1

2
3
4
5
6
7
I
I

10
11

12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41
42
43
44
45
46
47
48
49
50

5.14
5.38
5.63
5.90
6.19
6.49
6.81
7.16
7.53
7.92
8.35
8.80
9.28
9.81

10.37
10.98
1 1.63
12.34
13.10
13.93
14.83
15.82
16.88
18.05
19.32
20.72
22.25
23.94
25.80
27.86
30.1 4
32.67
35.49
38.64
42.16
46.12
50.59
55.63
61.35
67.87
75.31
83.86
93.71

105.11
118.37
133.88
152.10
173.64
199.26
229.93
266.89

1.00
1.09
1"20
1.31
1.43
1.57
1.72
1.88
2.06
2.25
2.47
2.71
2.97
3.26
3.59
3.94
4.34
4.77
5.26
5.80
6.40
7.07
7.82
8.66
9.60

10.66
11.85
13.20
14.72
16.44
18.40
20.63
23.18
26.09
29.44
33.30
37.75
42.97
48.93
5s.96
64.20
73.90
85.38
99.02

1 15.31
134.88
158.51
187.21
2223'l
265.51
319.07

0.00
0.07
0.15
o.24
0.34
0.4s
o.57
o.71
0.86
1.03
1.22
1.44
1.69
1.97
2.29
2.65
3.06
3.53
4.O7
4.68
5.39
6.24
7.13
8.20
9.44

10.88
12.54
14.47
16.72
19.34
22.40
25"99
30.22
35.1 I
41.06
48.03
56"31
66.19
78.03
92.25

109.41
't30.22
155.55
186.54
224.64
271.76
330.35
403.67
496.01
61 3.1 6
762.89

0.00
0.088
o.182
0.280
038-4-
o.494
o.622
0.761
0.912
1.07
1"25
1.46
1.70
1.96
2.23
2.54
2.94
3.38
3.87
4.40
4.97
5.75
6.61
7.55
8.58
9.70

11.35
1el6
15.1 5
17.33
19.73
22.80
26.62
31.O7
36.46
42.43
50.52
58.7
70.1
80.0

100.4
121.7
149.5
't85.2
232.8
297.5
381.5
500.9
656.8
868.1

1,153.2

0.00
o.0022
0.0098
o.0228
o.0422
0.0700
0.1 06
o.152
o.210
o.279
0.366
o.471
0.595
0.743
o.922
1.13
1.38
1.66
2.00
2.40
2.87
3.42
4.O7
4.82
5.71
6.76
8.00
9.46

1 1.19
13.23
15.67
18.56
22.03
26.16
31.15
37.16
44.42
53.27
64.07
77.34
93.70

1 13.99
137.68
171.15
211"41
262.75
328.7
414.3
526.5
674.9
873.9
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Solution:

Since the footing is at the surface, there is no surcharge load q. From Table 2-1,

Nc = 14'83

. Nq = 6.40

Ny = 5.39

and
100(3)

2

5,258 psf

(s.39) + 300 (14.83) + 0 (6.40)

Example 2:

lf the footing of example t had been placed at a depth of 4 ft., what would be the

ultimate bearing capacity?

Solution:

The surcharge load is now 400 psf (4 ft. X 100 pcf).

eo = lgtig (s.3el + 3oo (14.83) + 4oo (6.40)

Qo = 7,818 Psf

The allowable bearing capacity, Qa1, is the ultimate bearing capacity divided by a factor

of safety, us.rally 2.5 or 3.

9ar =99 (Equation2'2)
F.S.

Example 3:

What width is required to support a long surface footing with a load of 2,000 lb per ft?

The soils c = 150 psf, O = 25o, and 1= 110 pcf. Use the bearing capacity fastors suggestd by

Vesic and a safety factor of 3.

Solution:

From Table 2-1,

'Nc = 20J2

Nq = 1o'66

NY' = 1o'88

The allowable bearing pressure is the load divided by the area.

20oo++
d..==Yall B FT

Qo

Qo

q.
3 2-8



or

6000 1108
B Psr =9o =T

g2 + 5.tgB-10.03=o

B= 1.5FT

(10.88) + 150 (20.72!.+ 0 (10.66)

EFFECT OF FOOTING SHAPE

Shapes other than a strip footing are solved on a semi-emp'irical basis' Exact solutions

exist only for circular shapes and these have not been proved by field ob*rvation (Hansen and

Christensen, 1969).

Ultimate bearing capacity for other than strip footings can be found by multiplying

terms of Equation 2-1 by shape factors.

Qo = + Ny.r.r* c N" s" + qNq ,q (Equation 2-3)

where:
sy = *rape factor applied to Nrterm
sc = shape factor aPPlied to N" term

sq = shape factor applied to No term

Values for shape factors are found in Table 2-2" Shape factors in Table 2'2 were

developed by DeBeer (1970)and modified by Vesic (1975).

Table 2-2: Shape Factors for Slrallow Foundations
(After DeBeer, 1967, as modified by Vesic, 19751.

= r+tlt trrrolrrr"t

sq = 1+f..nq

sc

ry = 1-0.4
B

L

Example 4:

Find the ultimate bearing capacity of a 3 foot square footing that is 4 feet deep. Soil

properties are:

c = 300 psf

O=20o
y = 100 pcf

2-9



Solution:

From Table 2-1

tan 0 = .36

and according to Table 2-2

sY = .60

sc = 1 +.41
sq = 1 +.36

From Equation 2-3
100 (3)

Qo = T (5.39) (.60)+ 300 (14.83)fi.43)+ 400 (6.40) (1.36)

eo = 10,329 psf

E FFECT OF ENTRIC

Eccentric loads are caused by non-concentric placement of loads on footings or by
moments transrnitted to the footings (Figure 2-5). An eccentric load shifts the location of the
general shear failure wedge toward the load causing the bearing capacity to be reduced. A
smaller failure plane is developed and stress is reduced on the side away from the load.

Bearing capacity can safely be determined by reducing the width by twice the
eccentricity (Figure 2-S) (Meyerhof, 1953).

B' = B-2e (Equation2-4a)

ln order to prevent uplift on the side away from eccentricity, the load should be kept in the
center third (i.e. e <116 B) of the footing.

When a load is eccentric in two directions, i.e. in the longitudinal direction as well, the
effective length must also be reduced.

L' L-2e1 (Equation 2-4b)

Nc

Nq

NY

= 14.83

= 6.40

= 5.39

Nq/Nc = .43

The ultimate stres then computed is an average ultimate stress:

eo= !e-
B'L.

where

(Equation 2-5)

9s = ov€roge ultimate stress

Qo= ultimate load (force)

B' = effective width
L' = effective length

2-10
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ln turn, the width B used on computing the ultimate stress, Qo. from equation 2-1 is the

least of B' or L'. (L'may be less than B'if the eccentricity in the longest direction is larger

than the eccentricity across its width.)

9o = + Nv* tNc + qNq = *r, (Equation 2-6)

*use the least of B' or L' in the Nrterm.

Examole 5:

Find the ultimate load of a 6 ft. square footing two feet deep with the load offset .5 ft.

on one side and 1.0 ft. on the other. Soil properties are:

c=0
0=30o
y = 100 pcf

Solution:

From Table 2-1 (Factors by Vesic)

Ny = 22.40
Nq = 18.40

From Table 2-2

= .60

= 1.577

tan 30o = .577tY

sq

and

B' = 6-2(.5) =5'
L' = g-l(.|.0)=4'

Qo = 170,000 LB

or with a safety factor of 2.5, the allowable load becomes

Oall = KIPS

(Equation 2-4a)

(Equation 2-4bl

and applying equation 2-6 with shape factors

o^ (100) (4)
co=ffi= t 122.4l,(.60) +0+2(100) (18.401 i.1.577ll
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EFFECT OF INCLINED LOAD

An inclined load has a horizontal component, H, which tends to slide the footing and a

vertical component, Q, which may cause a shear failure. Sliding seldom occurs at depth but H

is limited at the surface by the shear strength of the soil:

a
H

H= OtanO+Aca (Equation 2-7)

where

H = the maximum horizontal force
Q = vertical component of load
q = angle of internal soil friction
A = effective bearing area

c.= adhesion (equal to undrained shear strength in soft clays and negligible in
sands)

ln cases where sliding is not a problem, a r,eduction must be made in bearing capacity.

Vesic (1973) suggests applying inclination factors i, i", apd io.

m+1

''(

o + BLc coto

l3
N"tang

(Equation 2-8a)

(Equation 2-8c)

(Equation 2-8d)

.H
O+BLccotQ

H

where

(Equation 2-8b)

is applied for m if the load is inclined to the width (*rorter side) of the footing and

2+UBmr = ITIJB-

Equation 2€c is applied when the load is inclined to the length (longer side) of the footing.

2+BIL
ms = f.jryf

m
1q

l"= iq-

2-13

(Equation 2-8e)



ln the special case where q = 0,

mH
i. = 1 -E'GfrI"

So the general equation fora rectangular footing with an inclined load becomes

(Equation 2-8f)

a=-Yo2 Ny ry irr c N"s"i. + qNo soio (Equation 2-9)

Example 6:

Find the ultimate load on a 6 ft. square footing two feet deep with the load inclined to

one side at 10o from the vertical. Soil properties are

c=0
O=3oo
y = 100 Pcf

From Table 2-1 andTable2-2

yB

N
Y

= 22.40

= 18.40

From statics

H = Qtan 10o =.1760 (O)

From Equation 2-8b

m =U =1.8
1+ 111

From Equation 2-8a

Y = .60

= 1.577

1+1.5

=.616

=.748

122.41(.60) (.616) + 0 + 2(100) (18.40) (1.5771 1.7481

s

sqNq

. t. .1760 ?

'Y= 1'--[]s-- l
From Equation 2€d

iq= 1-

Finally from Equation 2-9

Qo
o _ 100 (6)

(6) (6) 2

I
.1760 )GdJ

2-14
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EFFECT OF GROUND SURFACE SLOPE

Due to the necessity to span rivers and streams and place footings in approach

embankments, bridge footings must account for ground surface slopes. Often the surface

slopes down from the apron side of the footing (Figure 2-4) causing the bearing capacity to be

reduced.

Solutionswere developed by Hansen (1970) and refined by Vesic (1975) for the plane

strain condition, i.e. a strip footing. The solutions are valid so long as the slope, q is less than

the angle of internal friction or 45o.

ur<$
qr . 45o

ln addition, the solutions do not account for existing shearing stresses in the soil. Existing

shearing stresses will likely be negligible if the slope is limited to half the angle of internal

friction.

0 < r,r . ql2

Slopes greater than E/2 should be investigated for slope stability failure.

Correction factors, oy t,q, and oc, may be applied to the general bearing capacity

equation as was done to correct for inclination of load to account for ground slope.

\=,^tq = I

I

1-tanro

1-rq
N"tan 6

2 (Equation 2-10a)

(Equation 2-10b)and oc= 0q

In addition, the inclined slope distributes the surcharge load over a greater area causing the q

term to become

q = yd cos t^r (Equation 2-10c)

Although the relations have not been proved experimentally, the application of shape

factors and inclination factors are assumed to be valid. The general bearing capacity equation

for a footing with ground slope on frictional soils (S * 0) then becomes:

vB
O"= t N.rSy\*cN"S.os+gNoSotoo (Equation 2'1la)

Cohesive soils (q = Q) require the addition of the third weight term (Vesic, 1970) in the

bearing capacity equation. As a result, Nrbecomes negative and equalto:

Ny* = -2 sin r,r (Equation 2-10d)

*N 
rfrom equation 2-1Od is to be used only with soils where 0 = 0.
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and equation 10 b reduces to

ob = 1 - 2u/ Gr + 2l (Equation 2-1Oel

where ur is in radians

The general bearing capacity equation for a footing with ground slope when 4 = 0 is
(Vesic, 1976):

9o = C Ncsc th + y D cos 0r' Y Bsrsin ur (Equation 2-11b)

Example 7:

Find the ultimate load of a 6 foot square footing 4 feet deep with ground slope of 1

vertical to 4 horizontal if the soil conditions are a) b)

y= 100 pcf y= 1 10

c=0 c=1000psf

O= 30o 0= 0

Solution:

Soil ition a)

From Table 2-1 From Table 2-2

Ny = 22.40 sy = 0.60

Nc = 30.14 sc = 1.61

Nq = 18./$0 sq = 1.58

or= tan'l l1/+7 = 14o = .245 rad.)

Frcm Equation 2-10a

,y=,rrq = (1 -.25)2 =.56

From Equation 2-10b

ob =.56 i5#ffTdiT =.53

And from Equation 2-1la

(6) (6)

Q = 309 kips

100(6)
2

(22.41 (.60) (.56) + 0 + 4(100) (.97) (18.4) (1.58)(.56)
o
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Soil Condition b)

From Table 2-1 & Equation 2-10d

NY = -'{$

Nc = 5.14

Nq = 1.00

From Table 2-2

sy = .60

sc = 1.19

sq = 1.00

Equation 2-10e

o" = "90

o"= #= 
1000 (5.14) (1.le) (.e0) + 110 (4) (.e7) - 110 (6) (.oo) (.24)

O = 210 kips

EFFECT OF WATER TABLE

A water table that occurs within the zone of general shear failure (Figure 2-2al will

reduce the ultimate bearing capacity. Buoyancy reduces the weight of the soil and in turn the

frictional forces within the soil. ln clays, where friction develops little strength, the reduction

in bearing capacity is negligible unless the cohesion is reduced as a result of a high water table

over an extended period of time.

Because of strength reduction, the bearing capacity should be determined using the

highest groundwater level expected during the life of the structure. ln the case of bridges

spanning rivers and streams, the water table should be assumed at the ground surface unless the

designer is sure the water table will remain below that level.

When the water table is assumed at or above the footing base, the buoyant weight, t', i.e.

the total saturated weight less the weight of water, should be used in the Nrterm of equation

2-1.|t the water table is below a depth equal to the footing width B, the total unitweight y

can be used with the N yterm. For a water table within a zone B below the footing, an average

y is used (Figure 2-6).

yavg = ^r' (B -Zwl + tZw (Equation 2-12)
B

Reduction in q due to a water table above the footing base must also be made. ln

calculating the zurcharge, q, for the Nq term of equation 2-1 , grain to grain or effective stresses

are used. The surcha$€. e, then is the weight of all soil or surcharge above the footing, less the

buoyant weight of water for the depth of water above the footing base.

Example 8:

A long strip footing, 4 feet wide and 3 feet deep, has a water table at the 5 foot depth.

Find the ultimate bearing capacity if
2-17



t

ZY

For Zw= O to B,

Yovg =

bose of footing

(equotion 2-12)

woter level

Y'(s- 1+YZy
B

For Za greoter thon B

Vove = {

Effect of Wster Toble on Unil Weight for Nf, Term

Figure 2- 6
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0=20o
c = 300 psf

y = 100 pcf above the water table

y = 1 12.4 pct below the water table

Solution:

From Equation 2-12,

- = 50(4-2) + 100 (2) _ _Yavg=- 4 
-=75Pcf

and From Table 2-1,

= 5.39

= 14.83

= 6.40

Using Equation 2'1,

9q = 75 !41 (s.39) + 300 (14.83) +s (100) (6.40)

= 7.2kips/ft.2

Example 9:

Find the ultimate bearing capacity of Example I if the water table rises 3 feet to a depth

of 2 feet.

Solution:

y avg becomes y i and the surcharge becomes

q = 2(100) + 1112.41 - 1 162.4t = 250 psf

and using Equation 2-1,

qo= Y (s.39) + soo (14.8a) + 2so (6.40)

Qo= 6.9 kipVtt.2

EFFECT OF COMPR ESSIBIL!TY

The type of bearing capacity failure which will occur, i.e. general shear, local shear or
punching *tear, depends on the size of the foundation and compressibility of the soil. The

average shear strength mobilized along a failure plane below a footing decreases with increased

foundation size (DeBeeri tgOg and 1g65; Vesic 1g64 and lg65; Kerisel, 1967).

NY

Nc

Nq

Qo
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According to Vesic (1973):

"There are three independent reasons for this decrease of strength with foundation
size: (1) curvature of Mohr envelope; (2) progressive rupture atong the slip line;
and (3) presence of zones or seams of weakness in all soil deposits. The relative
contribution of each of the reasons varies with soil type and the range of footing
size. Studies also show that the relative compressibility of soils both with respect
to gravity forces and with respect to the soil strength, increases with the
foundation size....lt is postulated that the bearing capacity of large surface footings
cannot be greater than the resistance of deep footings on the mme oil. This
postulate surmises that very large footings should fail exclusively in punching
shear, as apparently all deep footings do. This should not be zurprising, if the
aforementioned fact that the relative compressibility of soils increases with footing
size is considered."

ln an attempt to quantify the effect of compressibility Vesic (1g73) introduced

compressibility factors, e\c, (*c, and 6q6, for each of the expressions in equation l. Vesic

(1975) stated:

"The purpose of publishing these equations at this time is to allow the designer, in
the absence of any other rational method, toassess numerically the order of
magnitude of expected reduction of bearing capacity caused by the compressibility
effects."

Eyc = frc =exp {[l-4.q+ 0.6 B/L) tan s]+ [(3.07sin 6](log1s ztrl/r1+sin 6]l]

- 1 - (qc 
(Equation 2'13a1

(Equation 2-13b)icc = kc *",* o

forq=g

where

6"" = 0.32 + O.12 B/L + 0.60 logl s I, (Equation 2-13c1

G

c+qtano
(Equation 2-13d)

in which q is the average normal stress at the depth of Bl2 below the footing

G is the shear modulus

G= E

2(1+ ,1
E = Modulus of Elasticity (Table 2-3)

v = Poissons Ratio (Table 2-4!.

Poissons ratio may also be taken as
Ko

v--

1+Ko

(Equation 2-13e)

(Equation 2-13f1

f

where Ko=1-sin1.2q

2-20
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Tabl e 2-3. Typica'l Range of Val ues for
Modulus of Elasticity (E).
(From Kezdi,1975)

, T.ype olSorl

Very soft clay
Soft clay
l,ledi um c'lay
Hard clay
Sandy c1 ay
Si1 ty sand
Loose sand
Dense sand
Dense sand and gravel

Itlodulus of Elasticf ty
psi kp/cmz

50-400
250- 500
600-1 200

1,000-2,500
,000-6,0c0
,000-3,o0o
,5oo*3 ,500
,ooo-L2,0oo
,000-28,000

3 .5-30
20-50
40-80
70-180

300-400
70- 200

1 00-250
500-800

1 ,000-2,000

4
1

1

7
14

Table 2-4. Range of Poisson's Rat'io (v)
(From Barkan (1962) and others)

Soil Type Poisson's Ratio

Clay, saturated
Clay with sand and silt
C1ay, unsaturated
Loess
Sandy soil
Sand

0.50
0.30-c .42
0.35-0 .40

0.44
0 .1 5-0 .25
0 ,30-0 .35
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Values of compressibility factors from equations 2-13a, 2-13b, and 2-13c are limited to

1.0 because a value of unity indicates a general shear failure. A check to see if compressibility

factors should be applied can be made by comparing the rigidity index (Equation 2-13c) with

the critical rigidity index (Equation 2-14)

(ly)gy;1 = Tz exp t(3.30 - 0.45 B/L) cot (45 ' 4l2l) (Equation 2'14)

A rigidity index smaller than the critical rigidity index requires a reduction in bearing capacity

by applying the compressibility factors (equations 2-13a and 2-13b). Values of (lr)"r;1 for strip

or square footings are given in Table 2-5.

TABLE 2.5. VALUES OF CRITICAL RIGIDITY INDEX.

Angle of
Shearing
Resistance

0

Critical Rigidity lndex for:
Strip Foundation Square Foundation

B/L=0 B/L=l

13
18
25
37
55
89

152
283
592

1442
4330

I
11

15

20
30
44
70

120
225
486

1258

After Vesic, 1973

Values of compressibility factors kc and E1c, for strip or square footings are given in

Table2-6 andshown in Figure 2-7. Table 2-7 gives the values for 6." for strip and square

footings.

Example 10:

A 10' X 30' rectangular footing exists at the 15 ft. depth. The subsoil is a sand with the

following properties

E = 220 TSF (from Triaxial Test)

O=35o
c=0
y = 120 pcf

Find the ultimate bearing capacity
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Table 2-6. Values of Gompresibility Factor 60"

B/L - | (gquarel

12.5510 25 50 100 250 500

oo t"ooo

50 0.772
100 0.587
t50 0,437

20" 0.317
25" 0.224

30" o.152

350 0.098
4oo 0"059

45o 0.033

5oo 0.016

1.000

0.8s2
0.703
0.562

0.433
o.322

o.228

0.r53
0.096

o.o54

o.o21

r.000

0.917
0.806
0.679

0.548
0.4.23

0.3r0
o.214
0.r 37

0.080

0.04r

(1.o39t

0.988
0.924
0.821

0.694
0.557

o"422

0.300
0.197

o.1t7
0.061

(1.0901
(1.1071
(1.0s6)

0.948
0.801

0.634

0.468
0.317

o.194

0.104

(1.r99)
(1 .0541

0.863

0.655
0.456

o.284
0.1 55

(r .1 751

0.918
0.654

o.417

0.231

(1.433t
{1.055}

r.-6EJ- tr.orsl
0.393 058?

lr

B/L = O Etripl

t0 25 50 t00 250 5000 12.55

00 l.ooo
50 0.733

1oo 0.528
l so 0.372

zo" 0"25s
25" 0.r69
go" 0.107
35o 0.064

4oo 0.036
4so o.otB
500 0.008

1.000
0.808

0.632
o.478

0.348
0.243

0.161

0.100

0.058
0.030
0.013

r.000
0.870

0.725
o.578

0.441
0.320

0.219
o.141

0.083
0.0rt4
0.020

1.000
0.937

0.831
0.699

0.558
o.421

o.299
0.r97
0.1 19
0.064
0.030

(r.0341

0.996
0.899

o.762
0.605

0.449
0.307

0.192
o.107
0"051

11.1421
(1.087)

o.964
0.796

0.6r0
0.43t

o.275
o.156
o.076

11.2201
(r.(N8)

0.831

0.603

o.395
o.229
0.t 13

(1 .248)
0.94r

0.538
0.380
0.1 92

(1.3181

0.916
0.557
o.287

ln area mcrtcd by dot3 rrk. fqc ' l.

Table2-7. Values of Compressibility Factor 6o for 0 = 0.

Ir
, 2-5 5 ,o 25 50 too 250

1

0

o.440

0.320

0.679

o.559

0.859

0.739

(1"0391

0.9r9 (1.1571

ln arca markod by dotr trka f66 . I "

i*
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Solution

At a depth of B/2 in the elastic zone below the footing, the horizontal coefficient of
earth pressure is (Equation 2-13g):

Ko = 1 - sin (1.2)(3so1 = "33

and Poisson's ratio is (Equation 2-13f):

v = Ko 
= .33 

="28'taKo 1+.33

and Shear Modulus is (Equation 2-13e):

E 220 TSF\f = 

-=- 

= 88TSF2(1+v) 211+.251,

The mean normal stress at B/2

q= 20n201
2000

= 1.20 TSF

Then according to Equation 2-13d

l-= 88 =105' 0+1.20(.70)

and l. critical (Equation 2-141;

lr crit = % exp i [ 3.30 - .45 l1/gl ]cot (4So -

From Table 2-1 From Table 2-2

350
a- | j =212

lr . Ircrit therefore the assumption of incompressibility is not justified and correction

factors must be applied. From Equation 13a:

Eqc = Eyc = exp { [ -4.C +.6 (1/3) 11.761* 
3'07 ('s7l]loglq2(105)"= 

"r,,{1+.574l-

Ny = 48.03

Nq = 33.30

and from Equation 2-3 with compressibility factors

oo= E$@ (48.03) (.871 1.711 + 15(120) (33.30) 11.231 (.711

qo= 35 TSF

sY

sq

= .87

= 1.23
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SETTLEMENT

Both the amount and rate of settlement for shallow foundations can be calculated from

the one dimensional consolidation test. Details of the theory and laboratory procedure for

this test are contained in Chapter 5 of the 1975 interim report on Laboratory lnvestigations

and in Chapter 10 of the 1977 interim report on Laboratory Procedures.

Details of how the amount and rate of settlement are calculated are included in example

l1 below. Data for the example are developed in the examples of Chapter 10 from the 1977

report on Laboratory Procedures.

Example 11:

A footing 16 feet square overlies a clay layer 4 feet thick with two way drainage (Fig-

ure 2-8). The existing overburden pressure is 0.60 tons per square foot and the stress at

the base of the footing is 3.43 tons per square foot. Figure 2-9 represents the laboratory

results from the clay layer. Find the amount and rate of settlement due to primary consoli-

dation under the center of the footing.

Solution:

The amount of settlement depends on the final pressure which is applied to the center

of the clay layer. The final pressure is the sum of the 0.60 tons overburden pressure and the

stress applied to the clay layer by the footing. Stress applied by the footing is reduced as the

distance between the footing and clay layer is increased. ln this example, the center of the

clay layer is 8 feet below the footing, half the footing width. The stress applied by the footing

is found from a Boussinesq stress distribution analysis (Figure 2-101. At half the footing

width, under the center of a square footing, the stress is .7q or 70o/o of the original 3.43 tsf

applied by the footing. The stress applied to the clay layer by the footing then becomes:

.7(3.43 tsf) = 2.46,.t

The final pressure is:

0.60 tsf + 2.4O tsf = 3.00 tsf

To find the total settlement, S, of the soil stratum due to 10S/o primary consolidation,

equation 2-15 is rt.d. 
"n 

_ a.,
S=H ' 1 (Equation2;15)

1+e1
H = thicknessof layer

e1 = void ratio before load is applied

e2= final void ratio after consolidation under increased stress
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880 tons

Depth

0

8'

14'

18',

y = 100 pcf Silty sand

_ *1'._ Water
Tabl e

\ = L!2.4 pcf

y = 1L2.4 pcf C1 ay

Sand

Figure 2-8. Soil Profile of Example 11.

2-27

.A

A

o ,L A

!



Job No. / b(o-77
Locatlon L. e Ld . -r. P

CONSOLIDATION TEST
(Results)

Test Date z3 nL/-G7b
Tested By LHB

Z
Depth

Initlal Water ContenE (wa)Inirlal Vold Ratlo (ei)
Initlal Saturatlon (SO)

Effect.ive Overburden
Pressure O, bOO i s {

Boring No.
Sample No.

Pressure (TSr)

o.7b5
€o, 4 <?o

Preconsolidatlon Pressure (R6' ) 'z.O fsf

e

0.1 0.2 0.3 0.5

t
!,C

eJt

,.7

s

+

0,

o
l.,
(6
n
!
i
o

;
\
s

\t
I

a
s 7.o

Jcv
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I 2 3 45 10 2025

Figure 2-9
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Pressure (TSf)
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Fi gr'rre 2-L0 - Contours of equal vertical stress beneath a toundatrcn in a semi-infinite
elastic solid - the Boussinesq analysis. Srresses given as functions of the uniform
foundation pressure q: distances and depths given as functions of the footing width g.

From Sowers & Sowers, 1970.
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The void ratio, e1 , which corresponds to the overburden pressure of 0.60 tsf is 0.733

(Figure 2-9). The void ratio, e2 , which corresponds to the final pressure of 3.00 tsf is

0.600.

Solving for S:

S = (48 inches)
(1.733 -.600)

(1 + .733)

S = 3.7 inches total settlement

The time, t, required to reach any degree of primary consolidation, U, is found from

equation 2-16: [4'
t =,T IIJ (Equation 2-16)

cv
T = theoretical time factor for the specified degree of consolidation (Table 2-8).

H = thickness of consolidating layer

N = number of drainage faces for the consolidating layer

c, = coefficient of consolidation

%Consolidation UO 10

Time Factor T 0.008

TABLE 2-8

Theoretical Time Factors

20 30 40 50 60

.031 .O71 .126 .197 .287

70

.403

80 90

567 .848

For the example, the thickness of the consolidating layer, H, is 48 inches; the number

of drainage faces, N, is two; and the coefficient of consolidation, cu, which corresponds to

the average consolidating stress of 1.80 tsf is 6.9 X 1O'4 in2 /min (Figure 2-8). Solving for

the time, t, in terms of the time factor T:

1 day

1440 min

6.9 X 1o.4in2l^in

t=580Tdays

Applying the time factors, T, from Table 2-8, the rate of settlement is obtained for

1V/o,20o/o. . .90o/o primary consolidation.

% Consolidation 10 20 30 40 50 60 70 80 90

Time in days 5 18 41 73 114 116 234 329 492

The amount of settlement in inches which corresponds to 1Oo/o, 2tr/o. . .90% consoli-'

dation is 10%, 2tr/o. ..90% of the total settlement of 3.7 inches.

% Consolidation 10 20 30 40 50 60 70 80 90

Settlement in inches .37 .74 1.11 1.48 1.85 2.22 2.59 2.96 3.33

,=r F+]'

2-30





CHAPTER III

DEEP FOUNDATIONS

INTRODUCTION

Deep foundations for bridges will usually fall into one of the following categories:

1. Piles

2. Drilled shafts

3. Caissons 
r

The design and analysis of all three types of foundations are basically similar. All deep founda-

tions derive their capacity to srlpport loads from a combination of friction or adhesion on

the sides of the foundation element and bearing on the tip or base of the element. The rela-

tive values of skin friction and end bearing depend not only on the soil stratification but also

to a large extent on construction procedures. For example, the driving of displacement

piles usually increases the lateral earth pressure above the naturally existing value, while the

excavation of drilled shafts will allow stress relief. on the other hand, the disturbance caused

by displacement piles in clays generally reduces the available shear strength while the distur-

bance caused by the excavation of drilled shafts is relatively slight. Design of deep founda-

tions is usually based on (1) soil properties inferred from field and/or laboratory tests, (2)

field load tests of prototype foundations or elements, or (3) resistance to driving (for piles).

All three procedures are commonly used (not necesarily simultaneously) for pile founda-

tions. The design of drilled shaft foundations and caissons is usually based on measured

soil properties, but occasionally load tests are performed on drilled shafts. The design of

caissons is often modified as construction progresses.

DESIGN METHODS BASED ON SOIL PROPERTIES

Several methods are available for analysis and design of deep foundations based on

measured or inferred soil properties. These are:

1. Empirical correlation with field tests

2. Limit equilibrium analysis

3. Load transfer function method

4. Elastic solid analysis

5. Finite element method

The methods are listed in order of increasing complexity. All of the methods except the
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empirical correlation and the limit equilibrium analysis require the use of a computer for

efficient application. As the sophistication of the method of analysis increases so does the

need for sophisticated testing and accurate soil data. The engineer must determine the opti-

mum method for each job, based on the job requirement, soil data, and computational facil-

ities available to him.

EMPIRICAL CORRELATION WITH FIELD TESTS

A large amount of empirical data has been accumulated over the many years of use

of the standard split-spoon penetrometer and quasi-static cone penetrometer relating to the

correlation of pile capacity with penetration resistance. The summary of these correlations

as given by Meyerhof (1976) is described in this section.

The ultimate capacity of deep foundations, Oult, may be expressed as the sum of fric-

tional resistance, Ogp, and end bearing resistance, OEg, or

9utt=Qsr*oee (3.1)

The resistance due to skin friction may be expressed as

osF = frA. B.2l
where

f, = average unit skin friction

A, = surface area of pile or shaft acted upon by f,
The end bearing resistance may be expressed as

OEB= gutt At (3.3)

where

Qult = ultimate unit bearing capacity at pile or shaft tip

Aa = area of pile or shaft tip

Standard Penetration Test. For driven piles, the ultimate unit bearing capacity

in tons per square foot is approximately

Qugl = o'4 N Db 
= 4N (3.4)

B

N = average standard penetration resistance near the pile tip, corrected to an ef-

fective overburden pressure of 1 tsf. (See Figure 3.1).

D6 = depth to pile tip

3 = pile width or diameter
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Figure 3.1. Chart for Correction of N-Values in Sand for lnfluence of Overburden Pressure
(reference value of effective overburden pressure 1 ton/sq ft).

The limiting value of 4N given in Eq. 3.4 is recommended for sands and gravels but a limiting

valueof 3N issuggestedfornon-plasticsilts. Theempirical relationgivenbyMeyerhof (1976)

is shown in Figure 3.2. The ultimate skin friction of driven displacement piles in tons per

square foot is roughly given by

(3.5)

where

N = average standard penetration resistance for the embedded length of the pile,

Meyerhof suggests an increase of 50 percent in skin friction values for driven piles with a taper

exceeding about 1 percent. The empirical correlation between skin friction and penetration

resistance is shown in Figure 3.3.

Quasi-static Cone Penetration Test. The cone penetrorneter, equipped with a friction

sleeve, develops approximately the same end bearing and,friction values as a full size pile.

Several empirical corrections are often required and reference should be made to Welch and

Thornton (1978) or Schmertmann (1975) for details of the design procedure.

LIMIT EOUILIBRIUM ANALYSIS

ln limit equilibrium analysis, a rigid-plastic deformation condition is assumed. The pile
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is considered incompressible and skin friction and end bearing reach their maximum values

simultaneously. lt isalso assumed that loadstransferred to the soil through friction or bearing

do not influence the existing lateral or vertical earth pressures.

The ultimate capacity of a pile, Orl,, 
"rn 

be determined by summing the total frictional

resistance, Qgp, and the maximum end bearing resistance, Ogg'

Oult = OSf * Qeg (3.6)

The frictional resistance is the average friction or adhesion multiplied by the surface area

of the pile.

OSF = favg PL (3.7)

where:

f.rg = average unit skin friction or adhesion

P = perimeter of the pile

L = embedded length of the pile

The adhesion developed in clays is usually less than the shear strength or cohesion. Tomlin-

son (1969) has examined the relationship between skin friction in clays and the undisturbed

shear strength. The ratio of skin friction to undisturbed shear strength is called the adhesion

factor, c A plot of cr_ as a function of shear strength is shown in Figure 3.4. The skin

friction of piles in clay can be determined by using Figure 3.4 and the following expression.

f=cs (3.8)

where:

c = undisturbed shear strength or cohesion

a = adhesion factor

The frictional resistance in sands is dependent upon the effective lateral earth pressure acting

upon the pile surface and the coefficient of friction between the soil and the pile material.

Above some critical depth, 2", both vertical and horizontal effective stresses increase linearly

with depth, but are essentially constant below the critical depth (Vesic, 1967). Thiscritical

depth is a function of relative density, D, and has been observed as follows:

For D, < 3Oo/o, z" = 10D (3.9)

For D, > 7ff/o, zr= 2OD (3'10)

where:

z" = critical depth

D = pile diameter or width
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The effective vertical stress in the vicinity of the pile can be determined as follows:

Forz< r.,E= 7 z (3.,l1)

Forz>r",Tu- Tzc (3.12)

where:

Fu = effective vertical stress

7 = effective soil unit weight

z = depth below ground surface

The effective horizontal stress may be expressed as a function of the effective vertical stress.

En = KrE, (3.13)

where:

F6 = effective horizontal stress

K, = lateral pressure coefficient

The construction procedure has a significant influence on the lateral earth pressure and Kr.

Values of K, for various installation procedures (Sowers and Sowers, 19701are given in Table

3.1.

TABLE 3.1
LATERAL EARTH PRESSURE

COEFFICIENT IN COHESIONLESS SOILS

Loose sand
(Dr 30%)

Displacement
Condition

Jetted Pile
Drilled Pile
Driven Pile

0.5 to 0.75
0.75 to 1.5 '

2to3

K
Soil s

Dense sand Jetted Pile O5 io 1

(Dr TOYol Drilled Pile 1 to 2
Driven Pile 3 to 5

The frictional resistance of soil against pile, best described as a skin friction angle, 6 ,

depends upon soil type, pile material, and surface texture. Potyondi (1961) has examined

the frictional resistance of several pile-soil combinations and his values of 6 are given in

Table 3.2. The skin friction of piles in sand can be determined as follows:

f =p6 tan 6 (3.14)
or

f = K, p, tan 6 (3"1S)

For depths less than the critical depth,

f=Kr7ztan6 (3"16)

and for depths equal to or greater than critical

f =KrY z.tan 6

3-7
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Limitingvaluesof skin friction presented by Meyerhof (1976) are given in Figure 3.8

The end bearing component of pile capacity, Qgg, can be determined by the general

bearing capacity equation, using factors appropriate for deep foundations.

OEB=guttAt=(cNcp*FrNqp+TzfDNyp) At (3.1g)

where:

Qult = ultimate tip bearing capacity

At = area of pile tip

c = cohesion in the vicinity of the tip

7 = effective unit soil weight in the vicinity of the tip

D = pile diameter or width

N.p, Nqp, Nyp = deep foundation bearing capacity factors

(See Figure 3.6)

Since D is usually small, the NrO term is often neglected. For piles in cohesionless soils (c = 0),

the end bearing may be determined by the following expression:

oEB =F, Nqp A* (3.19)

For cohesive soils ( $ =0, N qp = 1), the end bearing becomes:

OEB = (c N.O + Pv) At (3.20)

The concept of critical depth should be applied in determining p, for cohesionless soils but

should not be applied in the case of cohesive soils.

Soil properties required by the analysis described above may be measured by laboratory

tests on indisturbed samples or may be inferred from the results of field tests such as the

quasi-static cone penetration test, or the vane shear test. Figure 3.7 shows an approximate

relation between quasi-static cone penetration resistance and the friction angle of sand.
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The following examples will serue to illustrate design by the limit equilibrium method.

EXAMPLE 1

Depth
(ft.)

Y
(pcf)

118

61

66

c

IP{l
1500

850

3000

D
Stratum

1 0-10

2 1A-17

3 17-45

Water table at 10 ft.

SoilType 0

00

0o

00

r

Stiff clay

Medium clay

Very still clay

Find the ultimate capacity of a 16-in. square concrete pile driven to a penetration of 35 ft.

Oult = QSf * Qf g

QSF = favg PL

p = (4) I = S.33 ft. (perimeter)
12

L = 35 ft. (tength)

for Stratum 1, o = 0.EE (from Fig. 3.4)

f , = (1500) (0.55) = 825 psf

for Stratum 2, d = 0.78

f2 = (850) (0.78) = 663 psf

for Stratum 3, o = 0.35

f3 = (3000) (0'35) = 1050 Psf

{ = (10) (825} + (7) (663) + (18) (1050) = one na{'avg 
35 

--- rr'

OSF = (908) (5.33) (SS1 = 169,400 lbs.

QEB = Qult At

Qult=cN"O+Py

Ncp = 9 {from Fig. 3.6)

eutt = (3000) (9) + (10) (118) + (7) (61) + (18) (66) = 29,800 psf

At = (16) (16) 
= 1.7'sq. ft.

144

QEB = (29,800) (1.78) = 53,000 lbs.

oulr = 169.4 + 53 = 222.4 kips
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EXAMPLE 2

Soil isa uniform depositof loosesand with T = 60 pcf, c= 0, 0 = 30o, Dr= 30%. The

water table is at the ground surface. Find the ultimate capacity of a 16-in. square concrete pile

driven to a penetration of 35 ft.

OUU1=OSF*OEg

QSF = favg PL

P = 5.33 ft.

L=35ft.
z.=10D=10

l-ro-l

h:2)
= 13.33 ft.

Ks = 2 to 3 say 2.5 (from Table 3.1)

6 = 0.80 $ = 24' (from Table 3.2)

For depths less than the critical depth,

f =KrYztan 6

f = (2.51 (60) (tan 24o17= 66.782

For depths greater than or equal to the critical depth,

f = Kjz. tan d

f = 66,782. = (66.78) (13.33) = 890 psf

f (1s.33) (8e0) (0.5) + (21.67) (8e0)

35
720 psfavg

OSF = (720) (5.33) (35) = 134,3001bs.

QEB = Qult At

gult = P, Nqp

F, =Tz" = (60) (13.33) = 800 psf

Nqp = 33 (from Fig. 3.6)

gutt = (800) (33) = 26,400 Psf

A, = 1.78 sq. ft.

QEB = (26,400) (1.78) = 47,0001bs.

OUtt = 134.3 + 47.0 = 181.3 kips

3- 13



EXAMPLE 3

Stratum

t2

Depth
(fr.)

o-7
7-12

12-22

22-33

33-50

Y
(pcf)

120

56

60

64

70

(psf)

1800

0

1000

0

0

0o

280

0o

35o

420

D

>70%

5Oo/o

>7Oo/o

Soil Type 0 r

1

2

3

4

5

Stiff clay

Dense Silt

Stiff Clay

Firm Sand

Very Dense Sand
and Gravel

Water table at 7 ft.

Find the ultimate capacity of a 16-in. square concrete pile driven to a penetration of 35 ft.

QUtf=OSF+OEB

OSF = favg PL

P = 5.33 ft.

L=35ft.
for Stratum 1, o = 0.45 (from Fig. 3.4)

f1 = (1800) (0.45) = 810 Psf

for Stratum 2, zc= 20D = 26.67 tt., :.2 <zc

K, = 3 to 5 say 3 (from Table 3.1)

d = 0.87 $ = 24.4o (from Table 3.2)

at z = 7 ft. (top of stratum)

f = Kr lztan 6 = (3) l120l l7l ftan24.4o) = 1143psf

at z = 12 ft. (bottom of stratum)

f = (3) U20) (7) + {56) (5n ftan24.4o ) = 1524 psf

= 1143 + 1524
= 1333 psf

2

for Stratum 3, s = 0.70

f3 = (1000) (0.70) = 700 psf

for Stratum 4, zs = 15D = 20 tt., :. z>zc
K, = 3 to 5 say 3 (from Table 3.1)

6 = 0.800= 280 (from Table 3.2)

f4 = Kr7z. tan 6 = (3) (64) (20) (tan 28o1= 2O42psf

forStratum S,zc=2OD=26.67 ft., :. zTzc
Ks = 3 to 5 say 3 (from Table 3.1)

6 = 0.800= 33.6o (from Table 3.2)

3- 14



f5 = KrY zc tan 6 = (3) lTOl Q6.67 ) (tan 33.6" | = 3721 psf

T

'avg
= (7) (810) + (5) (1333) + (10) (700) + (11) (2042]r + Ql {.3721r' = 1407 psf

35

OSF = fi407l. (5.33) (35) = 262,000 lbs.

OEB = gult At

Qult = F, Nqp

Nqp = 90 (use shallow foundation factor because of small penetration, i"e.,< 4D)

F, = 7 z"= lTOl Q6.67]l= 1867 Psf

Qult = (1867) (90) = 168,000 Psf

QEB = (168,000) (1.78) = 299,000|bs.

OU t_t = 262 + 299 = 561 kips

3- 15



LOAD TRANSFER FUNCTION METHOD

Analysis of the load-deformation behavior of piles may be accomplished by using a load

transfer function approach or by using an axisymmetric finite element analysis. ln certain

cases, an elastic solid analysis based on the IVIindlin equations could be used.

ln the load transfer function analysis, the pile is treated as a deformable member, the

stress-displacement relationships for skin friction and end bearing are considered and may

exhibit non-linear behavior, and the peak values of skin friction and end bearing are not

required to occur simultaneously. lt is assumed that loads transferred to the soil do not

affect existing lateral or vertical stresses.

This method of analysis requires that the pile be divided into segments and a load trans-

fer curve showing developed skin friction vs. displacement be developed for each segment.

(See Figure 3.8). A tip load vs. tip displacement curve is also required. To compute the

'l
ot-

'. 1"l

S5

Figure 3.8a , Axially Loaded Pile Djvided into Three Segments
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load-settlement curue for the top of the pile, the solution proceeds through the following

steps (Coyle and Reese, 1966):

1. Assume a small tip movement.

2. Determine the tip load corresponding to the assumed tip movement.

3. Estimate the midpoint movement of the bottom segment.

4. ' From the appropriate load transfer curye, determine the load transferred to the

soil through skin friction.

5. The load at the top of the bottom segment is equal to the tip load plus the skin

friction load.

6. Use the average load in the pile segment and compute the elastic deformation at

the midpoint of the segment.

7. Compute a value for movement of the midpoint of the segment by adding the

elastic deformation at the midpoint to the movement of the bottom of the segment

(the tip, in this case).

8. lf the computed movement does not agree with the assumed movement within a

specified tolerance, repeat steps 4 through 7 until convergence is achieved.

9. Go to the next segment above and repeat the process until the top load and dis-

placement have been determined.

10. Repeat this procedure using different assumed tip movements until enough points

have been determined to adequately define the load-settlement curve.

Load transfer curves for clay, described by Coyle and Reese (1966), are shown in Figure

3.9. The curves for sand shown in Figure 3.10 are suggested by Coyle and Sulaiman (1967).

The soil shear strength used in Figure 3.10 is based upon the assumption that the lateral

pressure coefficient is constant with depth and is equal to one.

3 -17



.5t
?
F
(J
z
LU
E
F
U'

t r.o
UJ
I
<n
J
6a
E
H o.s
a
2
E.
F
o
o
J

CURVE C

Below 20,

0 -10'

l0 .15

PILE MOVEMENT ( IN )

Figure 3.9 Load Transfer Curves for Clay

0.- 20 ' CUBVE A
2

Be]ow 20' CURVE B

0.1 0.2 0.3 0.4

PILE MOVEMENT (INCHES)

Figure 3.10. Load Transfer Curves for Sand

RVE B

CURVE A

.20 .25 .30

0.5

0
.05

-F
L'
Z
L!'
G
Fa
E
tU
-a
_J

o
U)

cc
LL

0
0.6

3- 18

0

I



The tip load vs. tip movement curves for piles bearing in clay are based upon work

done by Skempton (1951). The relationship can be estimated from the following equation.

P4q
(3"21)

where

P

B

E

c = cohesion

q = tip bearing pressure

Qult = ultimate bearing capacity of the tip

This can be related to compression test results by the equation

B Eic Qutt

= tip settlement

= tip width or diameter

= secant modulus of the clay at a ratio of applied stress to ultimate stress

to ultimate stress of q/ault

P

-=lEB
8.221

where

e = strain in compression test at a ratio of applied stress to ultimate stress of

q/9ult.

The load-deformation behavior of piles bearing in sand is difficult to predict. Some typical

values of ultimate tip resistance and tip resistance vs. tip displacement given by Beese (1978)

for drilled shafts bearing in sand are given in Figures 3.11 and 3"12.
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ELASTIC SOLID ANALYSIS

An elastic solid analysis treats the soil as a homogeneous, isotropic elestic half-space.

Stresses and deformations can be computed by applying the Mindlin (1936) equations for a

point load applied in the interior of an elastic half-space. An interative solution process can

be used to obtain an approximate solution for non-linear soil properties. [Vlost elastic solu-

tions give a reasonable approximation of stresses within the soil mass but do not give defor-

mations that are compatible with observed values. Figure 3.13 gives influence values for

stresses due to uniform skin friction and point load as computed by the Mindlin equations.

FINITE ELEMENT ANALYSIS

The finite element method has provided the means for assessing the behavior of pile-

soil systems that cannot be analyzed by any other available method. To perform an analysis

by this method, the pile and soil are subdivided into a series of small elements of finite size

which are connected only at discrete points (nodal points), usually at the corners of the ele-

ments. The constitutive properties of each element are specified and may be non-linear.

Since each element may have different properties, this method is suited for the solution of

problems involving layered systems, piles with abrupt changes in cross-section, discontinuous

soil stratification, and many other cases where exact theoretical solutions are not available.

For details of the solution process by the finite element method, reference should be made

one of the many texts on the subject.

RELAIIVE BISE FTSISIAICE

ItPi0rlllII riGtt 0t rittairL FtiCftOi.6

5o z

[.
Z

:

6

:
e

z

I

20

r0

020

Figure 3.11. Ult'imate Base Figure 3.12. Relatjve Base Resistance
in Sand Versus Relat'ive Base Sett'lement

HH(! 9,

,88
tr6 0t

us 59
ilo 2l

./ rl
/lrlJt

I r?9.1

- a-loumo -

ila:,-*'*o*?,

Resistance in Sand Versus N
SPT

3-2A

xsrr

\

,a{ \
AAl

I

I
us 59



fi- n
0t.5 t,0

,Kc

0,5 /.0
0

0.5

t0

t,5

2.0

3,0

3.,5

qt

t0

t,5

I

I
I

?,0 i

I

\\

,q oa

3,0

3.5

Inf/uence cary€s for ver/ico/ .r/ne.r.res
c/ue lo uniform s*nfric/ion o/ong lhe
or/e

(s// to/u.* are nsgoflhe o cala,ags/sn)
Potssonb modu/uc 7./2

Inf/uence .curyes for verlico/
s/re.rses due lo Oile pontt/ood

crn
lJl t

n-

n

T
-e- T z

I Kp duos pteccded fy ft) ,ncorrc
tcnclon)
Porcsoh' modu/us y. /1

nnof t:; tKp

c 4
m.
n- c

Figure 3.13. Inf1uence Values Based Upon Mindlin Equations

3-2L

i



FIELD LOAD TESTS

The most common field load test is a compressive load test of a single pile. Occasionally

load tests of drilled shafts are performed, but the high load-carrying capacity of this type of

foundation element requires hefty loading and reaction systems and thus the test becomes

expensive. A pile load test measures the ultimate capacity of a single pile at the time of

loading. Deformation observed during the test will give an indication of the behavior of

the pile under short-term loading. No other method can provide this information with equal

accuracy.

The capacity and behavior of pile groups cannot be determined from tests on single

-piles, 
nor can longterm deformations be determined from short-term tests. Another factor

which must be considered is the possibility of downdrag or negative skin friction developing

when a pile penetrates a compressible clay layer. lt may also be possible for piles driven

through very loose sand to lose some skin friction due to a stress relaxation in the sand.

Where the possibility of negative skin friction or stress relaxation developing exists, it is de-

sirable to separate the skin friction and end bearing components of pile capacity during pile

load tests. At present, only two acceptable methods are available for this purpose. Load

tests of piles which are instrumented to measure load distribution along the pile can separate

skin friction and end bearing as can pulling tests performed after compressive loading tests.

There are many procedures for load-testing piles. The load test procedures most com-

monly used include the maintained load test, the Texas Ouick Test, and the constant rate

of penetration test. These procedures are described in the following paragraphs.
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Maintained Load Test

Load tests using the maintained load (ML) test procedure may be either proof tests to

verify pile capacity or failure tests to determine the ultimate capacity of the pile. Failure

tests will allow the designer to work to a selected factor of safety and optimize his design.

The actual factor of safety cannot be determined from proof tests and may be considerably

higher than is required for a conservative but economical design.

ln the ML test procedure, loads are applied in increments, and each increment is main-

tained for a specified time or until the rate of settlement is less than a specified value. After

the maximum load has been reached and maintained for the required time, the load is removed

decrementally at specified intervals. Movement of the top of the pile is recorded immediately

before and after loading or unloading and at intervals while the load is maintained constant.

The ML test procedure required by Arkansas Highway Department Standard Specifica-

tions (1972) calls for loading the test pile to 200 percent of the design load in increments

of 25 percent of the design load. lncrements are added at 30 minute intervals with settle-

ment readings taken immediately before and after the addition of each load increment and

three times between load increments. The unloading of the pile is accomplished by three

decrements of 25 percent of the applied load, a decrement of 15 percent of theapplied load

and a final decrement of 10 percent of the applied load. The decrements are removed at 3O

minute intervals with rebound readings taken before and after each decrement. A final r+

bound reading is taken 12 hours after the entire test load has been removed.
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Texas Quick Test

ln the Texas quick (TQ) test procedure, the load increments are the same as for the ML

test but are applied at intervals of two and one-half minutes. Settlement readings are taken

immediately before and after each load increment. When the untimate load is reached, loading

is stopped and the load and settlement are allowed to stabilize. Load and settlement readings

are taken at two and one-half and five minutes after loading is stopped. The entire load is then

removed and rebound readingsare taken immediately, and at two and onehalf and five minutes

after removal of the load.

Constant Rate of Penetration Test

The constant rate of penetration (CRP) test procedure was proposed by Whitaker and

Cooke (1961). ln this test, load is applied to the pile in a manner to achieve a constant rate

of penetration of the pile into the soil. The rates of penetration recommended by Whitaker

and Cooke (1961) are 0.03 inches per minute for cohesive soils and 0.06 inches per minute

for cohesionless soils although they report that rates may vary from half to twice these values

without significantly affecting the results. Simultaneous readings of load and settlement or

rebound are taken during loading and unloading.

I nterpretation of Results

After the load-settlement relationship is determined, the failure load must be established.

There is no universally accepted criterion for establishing failure, but it is generally accepted

that both load and settlement should be considered. Chellis (1961) has summarized 17 dif-

ferent criteria as follows:

1. The test load shall be twice the contemplated design load and shall be maintained

constant for at least 24 hr and until settlement or rebound does not exceed O.22

in. in 24 hr. The design load shall not exceed one-half the maximum applied

load provided the load-settlement curve shows no signs of failure and the permanent

settlement of the top of the pile, after completion of the test, does not exceed 7z in.

(Boston Build ing Code).

2. Observe the point at which, no settlement have occurred for 24 hr, thetotal settle-

ment including elastic deformation of the pile is not over 0.01 in. per ton of test

load, and divide by a factor of safety of 2 (Department of Public Works, State of

California).

3. The safe allowable load shall be considered as 50 percent of that load which, after a
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continuous application for 48 hr, produces a permanent settlement not greater than

7o in. measured at the top of the pile. This maximum settlement shall not be in-

increased by continuous application of the test load for 60 hr or longer (AASHO).

4. Observe the point at which the plastic curve breaks sharply, and divided by a factor

of safety of 1.5.

5. Tests shall be made with 200 percent of the proposed load, and considered unsatis-

factory if, after standing 24 hr, the total net settlement after rebound is more than

0.01 in. per ton test load (building laws of the City of New York).

6. Observe the point at which the gross settlement begins to exceed 0.03 in" per ton

of additional load, and divide by a factor of safety of 2 tor static loads or 3 for

vibratory loads (W.H. Rabe, Design Engineer, Bureau of Bridges, State of Ohio).

7. Draw tangent lines to the general slopes of the upper and lower portions of the

curve, observe the load at their intersection, and divide by a factor of safety of

1.5 or 2.

8. Observe the point at which the slope of the curve of gross settlement is four times

the slope of the graph of elastic deformation of the pile, and divide by a suitable

factor of safety.

L The allowable axial load on an isolated pile shall not exceed: (a) 50 percent of the

yield point under test load. The yield point shall be defined as the point at which

an increase of load produces a disproportionate increase in settlement; or (b) one-

half of the load which causes a net settlement, after deducting rebound, of 0.01 in.

per ton of test load, which hasbeen applied fora period of at least 24hr: or (c) one-

half of that load under which, during a 4Ghr period of continuous load applications,

no additional settlement takes place (optional rules of lnternational Conference

of Building Officials Uniform Building Code).

10. Take two-thirds of the maximum test load in a case where settlement is not ex-

cessive and where load and settlement were proportionate and the curve remained

a straight line. Where the test load was carried to failure, take two-thirds of the

greatest load at which settlement was not excessive and.at which loads and settle-

ments were proportionate (United States Steel Co.).

11. With several consistent tests over the area of the structure, take from onehalf to

two-thirds of the failure load, considered as somewhere in the vicinity of the break

in the curve showing increased settlement per unit of load added (Bethlehem Steel

Co.).
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12. The safe allowable load shall be considered as 50 percent of that load which, after a

48-hr application, causes a permanent settlement of not more than 7o in. (New York

State Department of Public Works).

13. One-half of the test load shall be allowed for the carrying load, if the test shows

no settlement for 24 hr and the total settlement does not exceed 0.01 in. multi-

plied by the test load in tons (Chicago Building Code).

14. Observe the load at which is produced an increase in settlement disproportionate

to the increase in load, and apply a factor of safety of 2 (Los Angeles Building Code).

15. Observe the load carried without exceeding a total permanent settlement of % in.

in 48 hr and divide by a factor of safety of 2 (Louisiana Department of Highways).

16. For important permanent structures, take the safe load on well-driven timber and

concrete piles, with a final set of, say, ten blows to 1 in. at one-half to two-thirds

of the test load which produces a final settlement gradually ol % in. after a period

of 10 days' rest. For welbplaced undriven concrete piles, tested to twice their esti-

mated bearing capacity, the safe bearing load has been taken in practice at one-half

the test load which gives a settlement of 3i8 in. after a period of rest of 10 days

(W. Simpson, "Foundations," Constable & Co., Ltd., London, 1928).

17. Observe the point at which the gross settlement begins to exceed 0.05 in. per ton

of additional load, or at which the plastic settlement begins to exceed 0.03 in. per

ton of additional load, and divided by a factor of safety of 2 tor static loads or 3

for vibratory loads (Dr. R.L. Nordlund, Raymond Concrete Pile Company).

-. The Texas Highway Department uses a combination of rules 7 and 17 for interpretation of

the results of the Texas quick test. Details of the interpretation procedure are given below

and in Figure 3.14.

1. Plot a graph of load versus gross settlement using any convenient scale.

2. Draw one line originating at the point of zero load and settlement and tangent

to the initial flat portion of the gross settlement curve. (The slope of this line

will be approximately the sarne as the slope of the recovery line).

3. Draw a second line tangent to the steep portion of the gross settlement curve with

a slope of 0.05 in. of settlement per ton of load for a pile test and a slope of 0.01-in.

per ton of load for a drilled shaft test.

4. The load at the intersection of the two tangents drawn in steps 2 and 3 is defined

as the ultimate bearing capacity of the pile and will be used to establish a proven

"maximum safe static" load.
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5. ' The proven maximum safe static load for piling is def ined as one-half of the ultimate

bearing capacity obtained in step 4. The proven maximum safe static load for a

drilled shaft is defined as one-half the ultimate bearing capacity obtained in step 4

provided the gross settlement at the proposed design load is not more than one-

half inch.

(Figure 3.14)

PILE CAPACITY BASED UPON DRIVING RESISTANCE

Methods based upon driving resistance will usually fall into two categories: (1)methods

based upon dynamic formulas equating the kinetic energy produced by the pile.driving ham-

mer to the work done in advancing the pile plus the energy losses in the hammer-pile-soil

system, and (2) methods based upon the one-dimensional wave equation describing the effects

produced when a long slender rod is struck on its end"

Dynamic Formulas - The simplest dynamic formula is based upon the assumption that

the pile is perfectly rigid and that no energy is lost during driving

Wh = Rrs (3.23)

where:

W = weight of hammer

h = height of drop

Ru = ultimate pile capacity
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s = set or penetration of the pile under the last blow

The weight, drop, and set can be measured and R, can be determined. This equation (3.23)

does not give reasonablevalues of Ru because there are significant energy losses in the hammer-

pile-soil system. Energy is lost through friction in the hammer parts, impact, and elastic com-

pression of the pile cap, pile, and soil. The primary difference between the various pile driving

equations is the manner in which these losses are considered. For example, in the Engineering

News Formula,

Wh

s+c 8.241

where

c = elastic compresion of hammer-pile-soil system

Ru=

the energy loss, Rrc, is dependent only upon the type of hammer used to drive the pile. For

alltypesof pilesandsoils,cisassumedtobel.0inchfordrophammersand0.l inchforsingle-

acting steam hammers. The Hiley formula is based upon a more realistic appraisal of energy

losses. This formula is considered a comprehensive formula and is expressed as

. wrh wr+n2wp

s+0.5(c1 +c2+ca) (3.25)

where

e = efficiency of pile hammer (ratio of energy output to energy rating)

Wrh = energy rating of hammer (W. = ffi. of hammer, h - ht. of drop)

Wp = weight of pile

n = coefficient of restitution

c1 = elastic compression of pile head and cap

c2 = elastic compression of pile

ca = elastic compression of soil

The term (Wr + n2 Wp) / (Wr + Wp) is a treatment of energy loss during impact. The values

of c1, c2and ca ma! be estimated by using Tables 3.3, 3.4 and 3.5, or c1, c2ma\ be com-

puted by the following expression:

Ru=
wr*wp

c=
Rrl

Til-
where

c = elastic compression of cap (c1) or pile (c2)
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| - length or thickness of pile cap and packing for computing c1 or effective

length of pile for computing c2

A = cross-sectional area

E - modulus of elasticity

A more reliable procedure for determining c2 + ca is to attach a sheet of paper to the side

of the pile and, as it is being driven, draw a pencil along a stationary horizontal support mark-

ing the paper. A sketch of the arrangement is shown in Figure 3.15a and a typical trace is

shown in Figure 3,15b. From the trace, the set, s, and the elastic compression of pile and

soil, c2 * c3, may be determined. lf it is assumed that the energy loss is due only to com-

pression of the pile, then, the Danish formula is obtained, with

wrh
8.271

s+0.5se

where

se

and

= elastic compression of the pile

Se
2WrhL

(3.28)

Ru=

AE

where

L, A, and E = length, area, and modulus of elasticity of the pile

The following example will illustrate the determination of pile capacity by dynamic

formulae.

EXAMPLE

Determine the ultimate capacity of a 10.75 in. OD steel pipe pile with a wall thickness

of 0'365 in. and a length of 45 ft. The pile is driven into sand by a single-acting steam ham-

mer with an energy rating of 20,000 ft-lbs. The ram weighs 6500 lbs. The elastic compression

of pile head and cap (c1) is determined to be 0.08 in. and the bounce (c2 + ca) is measured

as 0.45 in. The set (s) is measured as 0.078 in. The coefficient of restitution is taken as 0.S0

and the hammer efficiency is taken as 65%. The pile has a cross-sectional area of 11.9 sq. in.

and weighs 40.48|b. per ft.
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Hiley Formula.

u
eW h

s+ 0.5 (c1 + c2 + ca1

(0.65) ( (121

0.078 + 0.5 (0.08+0.45)

R

Ru=

. W'*n2 wp

wr*wp

. (6500) + (0.50) 2 (45) (40.48)

(6500 + (45) (40.48)

Rr= 380,000 lbs. = 190 tons

Danish Formula.

wrh and se =
s+0.5se

se 1(2) (20,0001 fi21 @51 fi2]'
(11.e) (30 x ioT

(121

0.078 + 0.5 (0.852)

R u 476,000 lbs. = 238 tons

w,h

s + 0.1

(20,000) (12)

0.078 + 0.t

R, = 1,348,000 lbs. = 674 tons

R
2wrhL

AE
u

= 0.852 in.

Ru=

Ru=

Ru=
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Wave Equation Methods. The wave equation describes the movement of stress waves in

a long slender rod when it is struck on one end. This analysis was first applied to pile driving

in the 1930's, but the tedious computations required inhibited its use. The development of

high-speed'digital computers and Smith's (1960) numerical solution of the wave equation

have led to a fairly widespread use of this method of analysis. Two implementation packages

presenting computer codes and documentation for application of the wave equation to pile

driving are currently available (FHWA-IP-76-13, FHWA-IP-76-14). A different approach to

the wave equation was taken by Goble and Rausche (1970). Transducers are attached to the

pile near the top to measure the force and acceleration of the pile under a hammer blow.

A small dedicated computer is used to determine the pile capacity from the transducer outputs.

ln Smith's numerical solution of the wave equation, the hammer, pile and soil system

are represented by a series of weights and springs (Figure 3.16). The cap block and anvil may

also be depicted by weights and springs" The driving action is divided into small time elements

of about .25 milliseconds and the pile is divided into segments of approximately 5 to 10 feet.

ln this manner, a reasonably accurate determination of pile stresses and penetration may be

made for any particular system. The spring constants, K, are found for elastic material such

as the pile and cap from the formula:

t- AE
L (3.29)

where

A = cross sectional

E - modulus of elasticity

[ = segment length

Soil resistance is found for skin friction as well as point bearing The soil is treated

as an elastic-plastic material with stress-strain relationship as shown in Figure 3.17. The ul-

timate elastic movement of the soil is termed the quake (O).

As the pile moves a distance A, it develops the ultimate resistance Ru. Further movement

does not increase resistance and the point will continue to B on Figure 3.17a. Elastic un-

loading then occurs following line BC until all forces are zero. The permanent set of the pile

is then the distance OC = AB.

Side resistance is calculated identically as point bearing except there are separate values

of quake and ultimate resistance for each segment. The side friction may be distributed over

the side of the pile by varying the stress-strain relationships of the individual segments.

These values of soil resistance have not included the time effects as yet. The ground

will offer more resistance to rapid motion than to slow motion. To account for this, Smith
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Ro= F (tg) - m a(tg) (3.31)

where

m = the mass of the pile

a(tg) = the acceleration at the time tg when the velocity is zero

F(tg) = the force at the top of the pile at the same time

A force transducer and an accelerometer are attached to the pile near the top to monitor

force and acceleration for each blow of the pile hammer. A small field computer unit receives,

records and analyzes the signals from the transducer and prints the computed pile capacity

for each blow.
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(1960) represented "viscous damping". The evaluation of the wave equation gives a velocity,

vp. By applying a damping constant, JO, to the velocity, the product Jp vp increases ground

resistance to account for damping. At any point X on the curve of Figure 3.17b, the in-

stantaneous damping resistance is JO vO R*. The total resistance of the pile to penetration is

the static resistance plus the damping resistance.

The Case Western Reserve device uses a simple force balance method to relate dynamic

measurements to a static capacity. The pile is assumed to be a rigid body struck by a time-

varying hammer force (Goble and Rausche, 1970). Motion of the pile is resisted by a force,

R, given by the expression

R(t) = RO+ R1v+ R2 v2+ Ra V3+... (3.30)

where

V = the velocity of the pile

Rg = static capacity

R 1, R2, R3 = constants

Using Newton's Second Law at the instant of zero velocity, the resistance is found to be:



PILE GROUPS

The methods presented for determining pile capacity address the problem of the capacity

of a single pile. Since piles are most often used in groups and seldom as individual piles, the

difficult problem of assessing group capacity must be considered. The determination of group

capacity can best be done by using a group efficiency factor defined as follows:

os (3'32)er*
where

e = efficiency

Qg = capacity of pile group

Qi = capacity of individual pile

n = number of piles in the group

Numerous formulas for determining group efficiency have been promulgated in the past,

for example, the Converse - Labarre formula and Feld's One-Sixteenth Rule, but they seem

to be based primarily on intuition and experimental verification is lacking. Field load tests

of pile groups are very seldom performed because of the high loads and expense involved.

Vesic (1969) reported the results of model tests of groups of four-inch diameter piles

in sand. The results of his tests indicated an efficiency of one for end b'earing and an effi-

ciency of approximately 1.3 for skin friction after making an allowance for the effect of the

pile cap. For design of pile groups in sand, Vesic recommends that an efficiency of one be

used.

Sowers, et al. (1961) compared the results of model tests of pile groups in clay with

the block analysis. The block analysis of pile groups in clay is similar to the analysis of single

piles in clay, with skin friction computed for the sides of the block enclosing the pile group

and end bearing computed for the base of the block. The limiting value of efficiency is one.

Qg=QSF+QEB (3.33)

QSF = fs (2X + 2YlL (3.34)

OEB = argl (X'Y)

where

X = width of pile group

Y = length of pile group

L - embedded length of piles in group

(3.35)
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The results of Sowers model tests are shown in Figure 3.18 and are expressed in the follow-

ing equations.

e=0.5+ o.4

(n- 0.9 o'1
(3.36)

so = 1.1 + g.4n 0.4 (3.37)

where

so = optimum spacing in pile diameters.

Although the efficiency at optimum spacing is slightly less than one, Sowers states that the

erroi due to assuming an efficiency of one is inconsequential and recommends the use of an

efficiency of one at pile spacing of optimum or greater.

o

Eu

2

Pile spocing in diometers, S

Figure 3.18. Efficiency of Friction Pile Groups
in Saturated Clay

NEGATIVE SKIN FRICTION

It is not uncommon for piles to penetrate soft compressible strata before the tips reach

a stratum of sufficient strength to support the load produced by the structure. lf the effective

stress in the compressible layer is increased, for example, by construction of an embankment,

or by lowering the groundwater level, consolidation settlement will occur. When this settle.

ment occurs, the soil in the compressible layer and all layers above will be moving downward

with respect to the pile. The skin friction in the moving layers will add load to the pile and,

if not considered in the design, may cause a failure of the foundation.

Because of the small movement required to develop maximum skin friction (on the order

of 0.1 in.) the maximum skin friction should be computed (bythe limitequilibrium method)

for the compressible layer and all layers above and added to the load that must be carried

by the pile. ' This means that only skin friction in layers below the compressible layer and

end bearing of the tip are available to resist the structure load plus the negative skin friction.

q,

Observed efiiciency
Observed optimum
Theoreticol oplimum

n Qp (theoreticol)
n single piles=
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SETTLEMENT OF DEEP FO UNDATIONS

The settlement of deep foundations can be separated into immediate settlement, due to
"elastic" deformations of pile and soil, and long term settlement, due to consolidation of
underlying compressible layers. Deep foundations in cohesionless soils generally exhibit only
immediate settlements. Deep foundations in clay, however, will exhibit both immediate and

long term settlements.

lmmediate settlement can most conveniently be divided into three components: (1)

axial compression of the pile, (2) deformations due to skin friction, and (3) deformations

due to point load. These three elements form the basis of the load transfer function method

described earlier. This method has been generally succesful in predicting immediate settle-

ments for piles in sand and in clay. The finite element method has also been used with some

success in predicting immediate settlement

Long term or consolidation settlement is computed in much the same manner as settle-

ment of shallow foundation. The steps in this type of settlement analysis are:

1. Determine the initial effective stress in the compressibre layers.

2. Determine the stress change due to the foundation load.

3. Using the initial effective stress and the final stress, determine the change in void

ratio using the results of a consolidation test.

4. Compute the time-settlement relationship for each layer.

5. Combine the results of obtain a composite relationship for total settlement of the

foundation.

The only step that is different for deep foundations in Step 2, the determination of stress

change. One rule of thumb that has been widely used for friction pile groups is to assume

that the total foundation load is applied at the lower third point of the piles over the gross

area of the pile group. For end bearing piles, the load is assumed to act at the pile tips, over

the gross area of the group. A better estimate of the stress change can be made by using the

Mindlin solution or a finite element solution.
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CHAPTER IV

RECOMMENDATIONS

The following procedures are recommended for implementation by the Arkansas State

H ighway and Transportation Department.

SITE INVESTIGATION

1. lt is recommended that AHTD develop and maintain a comprehensive file of soil

data for existing and planned bridge sites. This file should contain not only data generated

by AHTD but also soil maps, geologic maps, and soil data from geotechnical consultants and

other state and federal government agencies.

2. Preliminary field investigations should include seismic and resistivity suryeys, where

ever practical, as well as preliminary borings. The signal-enhancement type of seismograph

is recommended.

3. The primary objectives of the detailed field investigation should be to define the

soil stratification and to obtain high quality undisturbed samples of the foundation soil. The

sampling tools recommended are the Shelby tube sampler, the Osterberg piston sampler, and

either the Denison sampler or the Pitcher sampler.

4. lf high quality undisturbed samples cannot be obtained, the in-situ properties should

be assessed by using the quasi-static cone penetrometer. For soft to very soft clays, the field

vane test is also appropriate.

5. For long term measurements of water levels or pore pressures, a double tube open

system piezorneter is recommended.

LABORATORY TESTING

1. The tests recommended for soil classification are the liquid limit, plastic limit and

particle size analysis tests" The wet preparation procedure should be used for any soil con-

taining clay.

2. Triaxial compression tests should provide the primary means to determine shear

strength. For an undrained analysis involving homogeneous, intact, saturated clay, unconfined

compression tests are acceptable.

3. To assess the stability of embankments constructed on clay shale, repeated direct

shear tests should be performed on the clay shale and the residual strength used in the analysis.

4. One dimensional consolidation tests should be used to determine the compressibility

of cohesive soils.
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5. The use of back pressure saturation is encouraged for triaxial and consolidation

tests. lf accurate pore pressure measurements are to be made, the use of backpressure is

essential.

DESIGN AND ANALYSIS

1. The general bearing capacity equation, with appropriate corrections for compressi-

bility, shape, eccentricity, inclination of load, ground surface slope, and position of the water

table should be used for determining the ultimate load capacity of shallow foundations.

2. Settlement should be estimated for each footing. The analysis of settlement of

footings on cohesionless soils may be based upon empirical correlations.

3" Preliminary estimates of pile capacity should be done by the limit equilibrium

method. These estimates should be verified at the time of installation by wave equation

analyses or by a comprehensive dynamic formula such as the Hiley formula. Pile load tests

should be performed on large jobs and in difficult soil conditions and the results correlated

with the limit equilibrium analysis and driving resistance.

4. The immediate settlement of piles should be estimated by the load transfer function

approach if no pile load test has been performed. Long term consolidation settlement should

be estimated by using the Mindlin solution to determine stresses and one-dimensional consoli-

dation test results to estimate the settlement.
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